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ABSTRACT

The nonlinear numerical analysis to collapse of civil structures presents several difficulties, even for
mechanically well-characterized materials, such as steel. In the case of steel, where the nonlinear consti-
tutive equation is one of the simplest and best known, in many cases there are large differences when the
numerical analysis and experimental results are compared. In this paper, the results of an experimental
and numerical analysis of a single degree of freedom (SDOF) steel structure are presented. The structure
was subjected to near fault earthquakes that caused nonlinear behavior of their components and struc-
tural collapse. The experimental model was tested on a shaking table. Complementary tests were per-
formed to characterize the properties of the steel employed, and thus define the parameters used in
the numerical simulation. After the calibration of the nonlinear material model, a comparison is made
between the experimental and numerical results obtained. Finally, a numerical study, following the mod-
eling methodology obtained from the numerical-experimental analysis, is performed to quantify the
influence of the P-Delta effect on the structural collapse.

© 2014 Elsevier Ltd. All rights reserved.

1. Introduction

One of the main objectives of the structural engineering is to
prevent the collapse of structures in order to preserve the life of
the occupants. Consequently, it is important, both in the design
of new structures and in the assessment and rehabilitation of exist-
ing structures, to know the safety margin against collapse.

The collapse can be defined as the loss of the ability to support
vertical loads by the structure. In practice, there have been direct
vertical collapses and collapses with large lateral displacements.
The first of them arises when one or more structural elements lose
their bearing capacity suddenly, while the second type is observed
when dynamic instability is reached, with large horizontal dis-
placements and large story drifts. This latter type of collapse can
be classified as instability-type collapse, according to the typology
proposed by Starossek [1].

The action of gravity loads over a laterally deformed structure
causes an increase in the member forces and in the lateral deflec-
tions while it reduces the resistance to lateral loads. This process is
known as P-Delta effect, and may lead to negative values of stiff-
ness in the inelastic response of flexible structures. If the displace-
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ment demand of the seismic action is high enough the structure
can reach dynamic instability and collapse [2].

At present, there are different methods to evaluate the safety of
structures against the collapse produced by the seismic action.
Villaverde [3] have performed a comprehensive review of these
methods, and concludes that the nonlinear dynamic analysis of
the entire structure, modeled using finite elements, is the most
reliable method for evaluating the collapse. However this method
has the disadvantage of being computationally expensive. The
author also states that the following considerations should be
taken into account: the model must solve the equation of motion
in the deformed configuration, elements that are compatible with
large deformations should be employed, the mesh should be fine
enough to faithfully reproduce the structural behavior in zones
that undergo inelastic strains, and finally simulations must be
performed with several seismic records to obtain meaningful infor-
mation about the structural collapse. In any case, the material
models and numerical codes should be carefully calibrated against
experimental tests.

Alternatively, concentrated plasticity models that represent
phenomenologically the nonlinear behavior of structural elements
have been used in recent studies [4-7]. These models take into
account fundamental aspects such as the degradation of strength
and stiffness, both on steel and on reinforced concrete elements,
and have been calibrated through many tests of cyclic loading
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[8,9]. At the same time, complete structure models were validated
with experimental test results [10,11]. The use of such models
allows a large number of simulations to be performed, in which
the effects on the structural collapse due to the variability of the
seismic action and the properties of the structure can be studied.

The structural instability under seismic loading has been stud-
ied, both at numerical and analytical levels, by several authors
[12-14]. Miranda and Akkar [15] have studied the dynamic insta-
bility in SDOF systems, with bilinear hysteretic behavior and neg-
ative post-yielding slope. In this study, nonlinear dynamic analyses
to collapse were performed on structures with different fundamen-
tal periods and several negative post-yielding slopes. The results of
this analysis shown that dynamic instability is reached more read-
ily in structures with more pronounced negative post-yielding
slope and lower fundamental periods.

Shafei et al. [16] conducted a statistical study on the collapse of
moment resistant frame and shear wall structural systems, with
diverse structural parameters, subjected to seismic excitations.
From the results of this study mathematical models were obtained
using multivariate regression analysis. Based on the mathematical
models, collapse fragility curves can be established in order to esti-
mate the probability of the structural collapse. This probability is
calculated as a function of the dynamic properties and the non-lin-
ear properties of the structure, estimated from a pushover analysis.

Adam and Jager [17] have proposed to evaluate the vulnerabil-
ity of structures with the sign of the post-yield tangent stiffness
obtained from a nonlinear static analysis. From results of incre-
mental dynamic analysis it was observed that the structural col-
lapse is reached more readily when the structure has a
pronounced negative post-yield tangent. The authors also have
defined a collapse capacity spectrum to estimate earthquake inten-
sity that produces the collapse of a structure with a given funda-
mental period and a post-yield stiffness. The structure analyzed
with this method must be regular to be well represented by the
equivalent SDOF system, and should not have resistance or stiff-
ness degradation.

The collapse of structures induced by earthquakes has been
studied experimentally in a lesser extent [18-22]. Vian and Bru-
neau [23] have performed experimental tests over several SDOF
structures under seismic forces, which were increased to collapse
level. The structures tested had different slenderness and mass,
and they show no degradation. From the results of this test, it
was observed that the traditional stability factor (a measure of
the importance of P-Delta effect) indicates what structures are
more vulnerable to collapse. The results of these tests also showed
that the higher the influence of P-Delta effect, the lower plastic
strains and displacements that are achieved when dynamic insta-
bility occurs.

Lignos and Krawinkler [24] have conducted an experimental
and analytical study of two four-story steel frames under seismic
forces that cause collapse. Plastic strains of the structure were con-
centrated in hinges specially designed, which were characterized
in cyclic tests. On the basis of the results obtained it is concluded
that the P-Delta effect and degradation in plastic hinges are the
factors that define the behavior of the structures when they are
near collapse.

Lignos et al. [25] have made an analysis of the numerical mod-
els employed to reproduce the full scale test of a 4-story steel
frame. The test was performed on the E-Defense shaking table in
Japan in 2007 [26] as part of a contest that was aimed to assess
the responses of various analytical models. These responses were
ordered according to their similarity to the structural response
measured experimentally. From the results of the contest, it was
concluded again that in order to obtain reliable results, P-Delta
effect and degradation of strength and stiffness of structural ele-

ments must be taken into account explicitly in the numerical
model.

The main objectives of this paper are to evaluate the effective-
ness of a numerical model to replicate the experimental collapse of
a SDOF structure that does not have strength or stiffness degrada-
tion, and to provide insight on the influence of P-Delta effect in the
collapse of framed steel structures subjected to near fault earth-
quakes. For this purpose, experimental tests were conducted on
steel-frame structures using a shaking table. The paper includes a
brief description of the dynamic actions employed, additional tests
performed, and the experimental and numerical models of the
tested structures. After this, the calibration of the numerical model
is shown and the comparative results of both models are presented
along with the conclusions. Finally, a numerical study, following
the modeling methodology obtained from the numerical-experi-
mental analysis, is performed to quantify the influence of the P-
Delta effect on the structural collapse. It is worth mentioning that
the conclusions obtained in this work are limited to flexible struc-
tures without strength or stiffness deterioration, as the structure
studied in this case reaches the collapse by dynamic instability
prior to suffer effects such as local buckling, lateral torsional buck-
ling or material degradation due to fatigue phenomena.

2. Experimental model

The model employed in this work is a frame structure, in which
the columns were made of steel flat bars and the beam was made
of rectangular steel tube filled with lead to achieve mass values
desired. The high bending stiffness of the beam produced a restric-
tion on the rotation of the column ends, thereby forming a SDOF
system. Fig. 1 shows the geometry of the model.

In the experimental tests, two models with different column
heights and mass in the beam were employed, adopting the values
shown in Table 1. These values were chosen in order to obtain

Rectangular tube 60x40x1.2mm Angle section 25.4x25.4x3.2mm

g
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Flat bar 25.4x3.2mm

Fig. 1. Experimental model.
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Table 1
Properties of the experimental models.
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Model Column height (m) Beam mass (kg) Fundamental frequency (Hz) Lateral stiffness (N/m) Stability factor
w/o P-Delta effect w/P-Delta effect

A 0.52 25.4 1.29 2147.9 1668.7 0.22

B 0.47 334 1.28 2853.1 2160.4 0.24

similar frequencies in the fundamental modes of the two struc-
tures. This allowed observing the response of structures with high
influence of P-Delta effect. The influence of this effect increases as
the stability factor of the structure increases. Normally [27], this
factor is defined according to Eq. (1), and the influence on the
lateral stiffness is quantified according to Eq. (2).

P
Ki=Ko-(1-0) (2)

where 0 is the stability factor, P is the axial load on the columns, Ky
the elastic bending stiffness ignoring the P-Delta effect, K; the elas-
tic bending stiffness taking into account the P-Delta effect, and L the
column height.

The properties of the two models employed in this study are
shown in Table 1. The fundamental frequency was measured in
free vibration test that were performed before and after each
forced vibration test. From this measured frequency and the value
of the beam mass and column height, the lateral stiffness and sta-
bility factor were calculated. Also, from the free vibration tests,
damping ratios of 0.42% and 0.44% were estimated for the model
A and model B respectively. Free vibration tests made after shaking
table tests showed no changes in the fundamental frequency,
despite large plastic deformations were observed in the structure.
This indicates that the structure did not undergo degradation in
stiffness.

Table 2
Details of the near-fault seismic records employed.

In order to measure the dynamic response, capacitive acceler-
ometers PCB Piezotronics 3701D1FA3G were employed, with a
sensitivity of 700 mV/g and a measuring range of +3 g. These
devices were placed on the shaking table and at one end of the
beam of the model. The accelerometers were connected to signal
conditioners PCB Piezotronics 478A01. The signal was digitized
by a data acquisition board PC-CARD-DAS16/16 and HP VEE 6.0
software was employed to record the time history response.

Again, it should be emphasized that the experimental models
only can capture global dynamic instability as mechanism of fail-
ure. Strength and/or stiffness degradation are not considered due
to local and lateral torsional buckling instability modes cannot
occur in the models.

3. Seismic loading

In order to perform the experimental-numerical study, two dif-
ferent acceleration records were employed. Details of these records
are shown in Table 2.

Accelerations, velocities and displacements of the two records
are shown in Fig. 2. These records were measured in the vicinity
of the fault rupture. At the beginning of the records, very notice-
able displacement pulses can be observed, that is a feature of the
near-fault records with forward directivity effect. It is also
observed that these pulses occur almost simultaneously with the
maximum values of acceleration and velocity.

Event Year Station Component Moment magnitude Mechanism Distance to rupture plane (km)
Cape Mendocino 1992 Petrolia 90 7.0 Reverse 8.2
Kobe 1995 KJMA 90 6.9 Strike-slip 1.0
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Fig. 2. Acceleration, velocity and displacement records of the ground motions employed (a) Cape Mendocino1992, Petrolia and (b) Kobe 1995, K]MA.
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Fig. 3. Spectral acceleration of the ground motions employed (a) Cape Mendocino1992, Petrolia and (b) Kobe 1995, K]MA.

Table 3

Tests performed.
Test Model Record
1 A Cape Mendocino 1992, Petrolia
2 B Kobe 1995, Kajima

The acceleration response spectra of the two earthquakes are
presented in Fig. 3, which also shows the fundamental period of
the structure. It can be observed in Fig. 3 that the structure is near
resonance in case of Cape Mendocino earthquake, and is in a zone
of high values of spectral acceleration in the case of Kobe
earthquake.

The seismic records were applied to the experimental models
by mean of a shaking table with 6 degrees of freedom (MOOG
6DOF2000E). The limits of displacement, velocity and acceleration
of the shaking table are 0.259 m, 0.5 m/s and 5.89 m/s? respec-
tively. Because of this, the seismic record of Cape Mendocino was
applied with a scaling factor of 0.83 to adapt their peak values to
the limits of the shaking table.

With the change in the amplitude of Cape Mendocino record,
the spectral acceleration corresponding to the fundamental period
of the structure is 18.28 m/s2, while for the Kobe record is 26.5 m/s>.

Moreover, as it can be seen in Table 3, Cape Mendocino earthquake
was employed on the model A, on which P-Delta effect has
less influence, allowing the structure to remain in the elastic
range during experimental testing. On the other hand, when the
Kobe seismic record was employed, the structure experienced
large plastic deformations and finally it collapsed.

4. Numerical model

The numerical models employed in this study were performed
with the software ANSYS 13 [28]. The model geometry was defined
following the scheme of Fig. 1, using shell finite elements. The ele-
ment type selected was SHELL181, a four node element with six
degrees of freedom at each node. This type of element is suitable
for use in analyzes where nonlinear materials are employed and
there are large deformations and rotations. The stiffness of the
selected shell element is updated at each time step from the
numerical integration of the stresses, calculated independently in
5 points located through the element thickness.

In order to obtain the time history response the Newmark
method, an implicit time integration scheme, was used with an
automatic time step. The starting and the maximum time step
were defined as 0.005 s, equal to the time step of the experimental
acceleration records. The Newton-Rhapson method was employed

Test 1 — Elastic Material Model Test 2 — Plastic Material Model Test 2 — Plastic Material Model

w/ Kinematic Hardening

w/ Isotropic Hardening
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Fig. 4. Mesh sensitivity study.
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Fig. 5. Finite element mesh of the numerical model.

to solve the nonlinear equations, with a convergence tolerance of
0.5% of the Euclidean norm of the residual force vector.

The material model was defined as nonlinear steel with a bi-lin-
ear stress-strain relationship. Kinematic and isotropic hardenings
were employed in order to know which is able to reproduce better
the experimental response. Even if there exist material models that
combine these two types of hardening [29,30], in this work they
were studied separately to simplify the calibration process. Param-
eters defined in this material were: modulus of elasticity, yield
stress and strain hardening modulus. The values adopted for these
parameters were obtained from additional tests and calibration of
the numerical model, as described below. Besides the material
nonlinearity, geometric nonlinearity was taken into account in
the numerical model due to the large displacements experienced
by the structure. The seismic loading was defined as an accelera-
tion field acting on the inertial masses of the structures, considered
with a fixed support in the base. Meanwhile, the inherent struc-
tural damping was defined as proportional to the stiffness, with
those values obtained from the free vibration tests described in
Section 2.

In order to analyze the influence of the mesh density in the
results, models with 4 different element sizes in the columns
(25.4, 12.7, 6.35 and 3.175 mm) were used for the calibration
and the numerical-experimental comparison described in later
sections. Fig. 4 shows the root mean square (RMS) value of the dis-
placements of the different calibrated models. These results are
expressed relative to the displacements obtained from the numer-
ical models with the highest mesh density. This figure also shows
the CPU time spent in each analysis, taking into account that they
were performed on a PC with an Intel Core i7-4770 processor, and
that the time shown in the figure is the CPU time summed across
all threads.

As it can be seen in Fig. 4, the results of the nonlinear models
showed higher sensitivity to the mesh density, with CPU time con-
sumption considerably greater compared to the linear numerical
model. The results of the model with an element size of 6.35 mm
have less than 1% of difference with those obtained from the model
with the highest mesh density. Due to this, and to present the
results in summarized form, in the rest of the paper only the
results obtained from the models with an element size of
6.35 mm are shown. The numerical model meshed with this ele-
ment size can be observed in Fig. 5.

It is interesting to note that for the same number of DOF, the
CPU time consumption is considerably higher when isotropic hard-
ening is used compared with kinematic hardening.

5. Material tests

Large plastic deformations and structural collapse were
observed in test 2. In order to know the yield stress and tensile
strength of the material employed, tensile tests were performed
on the damaged columns. The specimens were built from the cen-
tral portion of the column, which suffered no permanent deforma-
tion, according to the ASTM A-370 and were tested to failure on a
universal testing machine AMSLER. A summary of the results is
presented in Table 4.

The modulus of elasticity was calculated from a series of free
vibration tests of a bar which had a known length and mass, and
that was fixed at one end and free at the other. With a laser dis-
placement sensor Microepsilon 1607, arranged according to the
diagram in Fig. 6, the displacements at the free end were measured
and the frequency of the first mode was obtained. Then the modu-
lus of elasticity was calculated using Eq. (3), derived from the
expression of the first mode frequency of the bar [31].

Table 4
Tensile test results.

Test Model Yield stress (MPa) Tensile strength (MPa)
Left column Right column Left column Right column
2 B 376 440 492 538
L
/]
/
/

Flat bar 25.4x3.2mm

-
- &

4 25
Laser displacement sensor 7 o
. . 3| s
Microepsilon 1607 ﬁ )
Z

Fig. 6. Scheme of displacement measurement.
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— 3
1.875* ®)

In this expression E is the elastic modulus, m is distributed mass of
the bar, L is its length, I the moment of inertia of the bar section and
w is the natural frequency measured. The results for various lengths
are shown in Table 5, whereas displacements measured and Fourier
amplitude of two cases are shown in Fig. 7. The mean value of the
test results, 208 GPa, was adopted for the numerical model.

Table 5
Elastic modulus estimation.

Bar length (m) Measured frequency (Hz) Elastic modulus (GPa)

27
6. Material model calibration

In order to know the value of the strain hardening modulus that
produces the best numerical approximation, a parametric study
was performed by changing the value of this material property in
the numerical model of the structure employed in test 2.

The actions employed in the numerical models were the accel-
eration recorded in the shaking table during test 2, and the values
of yield stress and modulus of elasticity of material model were
those described in the previous section.

In Fig. 8 the relative acceleration of the beam obtained from the
numerical model is presented for both types of hardening models
studied, with two values of strain hardening modulus in each case.
Henceforth, the value of the strain hardening modulus is repre-

0.931 3.07 211 sented by a percentage o of the modulus of elasticity of the
0.991 2.69 208 material.
1.048 241 208 The figure shows the high influence of the strain hardening
Hgé ?';; ;gg modulus on the response of the numerical model. When the stud-
’ ’ | ied parameter is defined with relatively low values, the collapse
Mean value 208 occurs at a time previous to that recorded experimentally, which
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Fig. 8. Experimental-numerical comparison for various values strain hardening modulus.
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is 6.54 s. On the other hand, for high values of the parameter, struc-
tural collapse does not occur.

Different results are also observed when the response with both
types of hardening is compared. With equal strain hardening mod-
ulus value, the model in which hardening was defined as isotropic
reaches the structural collapse faster than the model in which
kinematic hardening is used. A comparison of the final deformation
of the experimental and numerical model, once the collapse is
reached, is shown in Fig. 9.

In order to establish the degree of similarity that exists between
the experimental and numerical responses, two criteria were
employed. The first is the evaluation of the normalized cross-corre-
lation between the acceleration records obtained in each experi-
mental test and the different responses obtained from the
numerical models by varying the studied parameter. This coeffi-
cient varies between —1 and 1, taking the value 1 if the two signals
are exactly equal and they have the same sign, —1 when two sig-
nals are equal with opposite sign and an intermediate value closer
to O for the larger the differences between the signals. The value of
the normalized cross-correlation is calculated according to Eq. (4).

R— > ilexpti] - Qnum|ti] @
\/Ziaexp[ti}z > inum [ti]z

where deyp[t;] is the value of the experimentally measured acceler-
ation at time t; and a,,;[t;] is the acceleration value obtained from
the numerical model at the same time. The cross correlation coeffi-
cient is a measure of the shape similarity between two time records,
but it is not a sensitive indicator of the amplitude difference

(a)

Fig. 9. Deformed shape after collapse of: (a) experimental model and (b) numerical model.

0.9 B

0.8

0.7

Cross—correlation

0.6

o =3% o =5%

0.5
0 2 4 6 8 10 12

o (%)

between the records. For this reason, comparison of the RMS values
of the two records was employed as the second criterion.

Fig. 10 shows the variation of the two indicators as a function of
the strain hardening modulus defined in the numerical simula-
tions. The figure also shows with dashed line the values adopted
for the parameter, which are those that give the largest value of
cross-correlation coefficient in each of the cases.

Fig. 10 shows that there is a value of strain hardening modulus
for which the cross-correlation coefficient has a maximum, reach-
ing the experimental and numerical records the highest shape sim-
ilarity. It can also be seen that there is another parameter value
that yields the highest amplitude similarity, in which the numeri-
cal record has the same RMS acceleration value as the experimen-
tal record. These two values are not coincident, adopting for the
numerical model the strain hardening modulus value that pro-
duces the maximum cross-correlation coefficient since the differ-
ence between the RMS of the accelerations are less than 10%.

It can also be seen in the figure that the value of the hardening
modulus that gives the highest similarity with the experimental
results in numerical models with kinematic hardening (o = 3%) is
significantly lower than the value that maximizes the correlation
in models with isotropic hardening (o = 5%).

7. Experimental-numerical comparison

The structural accelerations of the numerical and experimental
model in the time domain are compared in Fig. 11, while the
comparison in the frequency domain can be seen in Fig. 12. The

0,000 0,350 0,700 {m)
- - 1

(b)

Experimental RMS
Acceleration

2.5

RMS Acceleration (m/s?)

o =3% o =5%

0 2 4 6 8 10 12
a (%)

| ——&— Kinematic Hardening

Isotropic Hardening |

Fig. 10. Normalized cross correlation and RMS values of numerical and experimental acceleration records.
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Test 1 — Elastic Material Model
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Fig. 11. Experimental-numerical comparison in the time domain.
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Fig. 12. Experimental-numerical comparison in the frequency domain.

summary of the results in terms of RMS and cross-correlation
values are summarized in Table 6.

In general, a good correlation was noticed between numerical
and experimental responses. In the case of the test 1, there are
some amplitude differences and small offsets in time between
responses once the strongest part of the seismic record takes place.
In the case of test 2, differences can be observed mainly in the
moment in which the structure collapses, observing the collapse
of the numerical model in a shorter time than that observed exper-
imentally. It can also be seen that the numerical model with kine-

Table 6
Results of the experimental-numerical comparison.

matic hardening model reached a higher similarity in both shape
and amplitude.

8. Influence of P-Delta effect on the structural collapse

In order to analyze the influence of P-Delta effect on the struc-
tural collapse a series of nonlinear dynamic analyzes were per-
formed. The numerical models employed in this study are similar
to those analyzed in the previous sections, with features listed in
Table 7. In the models, different heights and thickness of the

Test Material model RMS acceleration Normalized cross correlation
Experimental (m/s?) Numerical (m/s?) Relative difference (%)

1 Elastic 3.11 3.22 3.39 0.927

2 Plastic with kinematic hardening 2.34 2.38 1.67 0.924

2 Plastic with isotropic hardening 2.34 2.50 6.92 0.915
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Table 7

Properties of the structures analyzed.
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Number Column Cross-section dimensions Mass (kg) Lateral stiffness Fundamental Stability factor
of model  height (m)  \viden (m)  Thickness (m) w/P-Delta effect (N/m)  w/o P-Delta effect (N/m)  reduency (Hz)

1 0.49 2.54E-02 3.20E-03 33.85 2.17E+03 2.98E+03 1.28 0.23

2 0.55 2.54E-02 4.10E-03 50.00 3.21E+03 4.26E+03 1.28 0.21

3 0.69 2.54E-02 6.32E-03 100.00 6.40E+03 8.09E+03 1.28 0.18

4 0.86 2.54E-02 9.81E-03 200.00 1.28E+04 1.55E+04 1.28 0.15

5 1.04 2.54E-02 1.50E-02 400.00 2.56E+04 2.98E+04 1.28 0.13

6 1.21 2.54E-02 2.27E-02 800.00 5.16E+04 5.87E+04 1.28 0.11

7 1.29 2.54E-02 3.30E-02 1600.00 1.03E+05 1.16E+05 1.28 0.10

columns, as well as different values of concentrated mass in the
beam were defined. This was done in order to obtain the same fre-
quency in the fundamental mode of vibration and the same rela-
tionship between the seismic demand and the strength of the
structure, while having different values in the stability factor.
These stability factor values are greater than 0.1, the value at
which, according to ASCE 7-10 [32], the P-Delta effect should be
considered when member forces and story drifts are evaluated.
At the same time, the stability factor values are below 0.25, the
maximum value allowed by the ASCE 7-10. The properties of the
material model employed are those obtained from the calibration
described in the previous section.

The results of a pushover analysis of the different numerical
models are shown in Fig. 13. The values of the horizontal forces
applied on the analyzed structure are divided by the mass of the
model in order to obtain the normalized force. Since the seismic
demand can be characterized as the product of the spectral accel-
eration (same for all models) by the mass of each one of the ana-
lyzed structures, from Fig. 13 it can be inferred that all models
employed in this study have the same relationship between
strength and demand caused by the seismic action. It can also be
seen in the figure as a higher factor of stability leads to a further
decrease in the stiffness of the structure after reaching the maxi-
mum strength.

In order to compare the dynamic behavior of the different mod-

H;O ol 71 els, the minimum spectral acceleration that prqduces the struc.—
o~ model #2 tural collapse was sought for each seismic record. This
061 model #3 characteristic value is found iteratively, modifying the amplitude
— e — model #4 of each record using the bisection method as detailed by Domizio
NARS model e " With this value the coll i defined accordi
o ARSI — - — model #6 ith this value the collapse capacity (CC), defined according to
g 04l v N model #7 Eq. (5), was calculated.
‘; \ \" N S .m
N S cC== (5)
T‘E‘ 0.3} N \. T~ ) y
5 \ N where S, is the minimum spectral acceleration that produces the
Zoo0zr \\ N structural collapse, m is the mass of the structure and f, is its yield
\ \w\ strength. Fig. 14 shows the collapse capacity and the maximum
0.1 ductility demand prior to collapse (tmayx) as a function of stability
factor.
0 . . , , From the results of this analysis, the reverse relationship
0 0.2 0.4 0.6 0.8 1

Displacement (m)

Fig. 13. Normalized force-displacement relationship for the analyzed structures.

between the collapse capacity and the stability factor is observed.
With both seismic records the collapse capacity was increased by
approximately 60% when the stability factor decreased from 0.23
to 0.1. It was also observed that the collapse capacity is lower for
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Fig. 14. Collapse capacity and maximum ductility demand related to stability factor.
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Fig. 15. Collapse capacity spectrums.

the Kobe earthquake, due to the higher frequency content near to
the fundamental frequency of the structures analyzed.

In terms of the maximum demand of ductility, it can be seen in
figure that, when the stability factor decreases from 0.23 to 0.1,
the plastic deformation required to reach the structural collapse
increase up to 160%. Compared to the analysis of the collapse capac-
ity, smaller differences can be observed between the maximum
ductility demands obtained with the two studied seismic records.

Again, no significant differences were observed between the
results obtained using kinematic and isotropic hardening plasticity
in the material model. This behavior is possibly due to the fact that
the most of the plastic deformations occur in a few cycles, which is
characteristic of near-fault earthquakes.

In order to compare the collapse capacity obtained in this study
with that resultant of the methodology proposed by Adam and
Jager [17], a series of incremental dynamic analysis were per-
formed. The structure was modeled as a SDOF spring-mass system
where a bilinear force-displacement relationship with parameters
defined from the pushover analysis presented in Fig. 13. From
these results, the collapse capacity for a set of structures with dif-
ferent periods was established, forming the collapse capacity spec-
trums shown in Fig. 15. In this figure these results are compared
with those obtained from the modeling described in the previous
sections, and a considerable similarity between the results
obtained with both methods can be observed. The collapse capac-
ity proved to be somewhat higher in the structures modeled with
the finite element method for larger values of stability factor and
higher influence of P-Delta effect, noting the opposite in the case
of structures with lower influence of P-Delta effect. The method
by which the collapse capacity spectrum was performed is signifi-
cantly less computationally expensive, and showed similar results
to the method proposed in this paper, which was initially cali-
brated and compared with experimental results. This shows that
it is a useful tool when assessing the collapse of structures of a
degree of freedom that do not suffer cyclic degradation.

9. Conclusions

Throughout the present work the response of steel frame struc-
tures against near-fault seismic records was analyzed numerically

and experimentally. These structures behave as dynamic systems
of one degree of freedom and showed no stiffness degradation.

In the numerical simulations, the material model was defined
by mean of a bilinear stress—strain relationship. Kinematic and iso-
tropic hardening were defined and the results obtained with both
type of hardening models were compared. The parameters were
estimated from additional testing and calibration of the numerical
model. In the calibration process it was observed that the response
in the proximity of collapse is highly influenced by the strain hard-
ening modulus defined in the material model.

In order to establish the degree of similarity between the exper-
imental and numerical responses, the normalized cross-correlation
and RMS values of the structural acceleration were employed as
indicators. The first indicator measures the shape similarity of
the records, while the second is a measure of the similarity in
amplitude. The comparison in terms of RMS values showed a max-
imum relative difference less than 7%, while the minimum cross-
correlation was greater than 0.91. Then it can be concluded that,
with the exposed modeling methodology, it is possible to get
responses from the numerical model that approximate acceptably
the response measured in experimental tests, even when struc-
tures experience large plastic deformations and reach the collapse.
This allows validating numerical models, making possible to accu-
rately assess the seismic collapse capacity of the structure, requir-
ing a realistic characterization of the component materials. On the
other hand, it is remarkable that with the two criteria of strain
hardening a good numerical/experimental correlation can be
obtained, but different values of strain hardening modulus should
be used. A percentage of the elasticity modulus of 3% should be
used for kinematic hardening and a 5% should be used for isotropic
hardening.

Finally, the influence of the P-Delta effect in the structural col-
lapse was studied by a series of nonlinear dynamic analyzes, in
which modeling methodology detailed in the previous section
was followed. In these analyzes the amplitude of the seismic
records was modified to find the lowest spectral acceleration that
causes the collapse of the numerical model. In this study a series
of structures similar to that analyzed in the numerical-experimen-
tal study were employed. These structures had equal fundamental
frequency and strength-seismic demand ratio, but different stabil-
ity factors, within the range in which the P-Delta effect should be
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taken into account according to the ASCE-7. From the results of this
study an inverse relationship between the stability factor and the
collapse capacity, as well as between the stability factor and the
maximum ductility demand prior to the collapse, were observed.
For both analyzed seismic records, a decrease in stability factor
from 0.23 to 0.10 was reflected in an increase of the collapse capac-
ity about 60% and an increase about 160% of the ductility demand
was also observed. Finally the results of this study were compared
with the collapse spectrum built according to the methodology
proposed by Adam and Jager. A considerable similarity between
the results obtained by both methods was observed, emphasizing
the lower computational cost of the latter methodology.
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